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ABSTRACT
Following the 2010-2011 Canterbury (New Zealand) earthquake sequence, lightly reinforced wall
structures in the Christchurch central business district were observed to form undesirable crack patterns
in the plastic hinge region, while yield penetration either side of cracks and into development zones was
less than predicted using empirical expressions. To some extent this structural behaviour was unexpected
and has therefore demonstrated that there may be less confidence in the seismic performance of
conventionally designed reinforced concrete (RC) structures than previously anticipated. This paper
provides an observation-based comparison between the behaviour of RC structural components in
laboratory testing and the unexpected structural behaviour of some case study buildings in Christchurch
that formed concentrated inelastic deformations. The unexpected behaviour and poor overall seismic
performance of ‘real’ buildings (compared to the behaviour of laboratory test specimens) was due to the
localization of peak inelastic strains, which in some cases has arguably led to: (i) significantly less
ductility capacity; (ii) less hysteretic energy dissipation; and (iii) the fracture of the longitudinal
reinforcement. These observations have raised concerns about whether lightly reinforced wall structures
can satisfy the performance objective of “Life Safety” at the Ultimate Limit State. The significance of
these issues and potential consequences has prompted a review of potential problems with the testing
conditions and procedures that are commonly used in seismic experimentations on RC structures. This
paper attempts to revisit the principles of RC mechanics, in particular, the influence of loading history,
concrete tensile strength, and the quantity of longitudinal reinforcement on the performance of real RC
structures. Consideration of these issues in future research on the seismic performance of RC might
improve the current confidence levels in newly designed conventional RC structures.

INTRODUCTION
The current understanding of the seismic performance of
structural components is largely based on the outcomes and
developments of previous research by methods of
experimental testing and, in more recent times, numerical
modelling techniques. As damaging earthquakes occur
relatively infrequently, the information gained from examining
the effects of damaging earthquakes provides a rare
opportunity to assess whether the previous “laboratory-based
understanding” provides a reasonable comparison to field
observations.
The performance of some reinforced concrete (RC) buildings
in the 2010-2011 Canterbury earthquake sequence was
somewhat unexpected compared to previous structural tests
performed
in
laboratories
using
typical
seismic
experimentation procedures (which is elaborated in detail
later). Such observations have highlighted the need to
reconsider the way in which structural tests are undertaken to
make them representative of how ‘real’ RC structures might
perform during severe earthquake-induced ground motions.
Wider aspects of the performance of RC buildings in the
Christchurch CBD have been documented in references 1-4
among others. In particular, the seismic performance of some
RC wall structures was relatively poor.
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This paper examines several reasons for the lack of correlation
between observations from previous laboratory testing and the
damage states sustained by Christchurch buildings during the
2010-2011 Canterbury earthquake sequence. However, the
reader should note that this lack of correlation may not
necessarily be universal in all scenarios. The ‘in-situ field
conditions’ discussed in this paper could possibly be more
relevant to certain structures in Christchurch (or across New
Zealand’s RC construction) when compared to other
international seismic regions built up of other types of RC
structures to different construction practices.
Firstly, the typical experimental behaviour of RC structural
components is compared to post-earthquake observations in
Christchurch buildings. While the first sections of this paper
are predominantly focussed on RC wall structures, the
intentional of the scope of the paper is to discuss the structural
engineering concepts that are relevant for all RC structural
members. Although the authors have attempted to distinguish
important differences (between RC walls and RC beams, for
example) within the paper, the interpretation and application
of the technical content of the paper will depend somewhat on
the prior knowledge of the reader. Secondly, the effects of the
nature and rate of loading, in-place concrete strength, and
quantity of longitudinal reinforcement on the behaviour of RC
components are discussed. These factors (the typical
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“experimental conditions”) are further described in an attempt
to explain the lack of correlation between laboratory and field
observations. Lastly, considerations and challenges for future
research and for structural engineering practice are outlined.
A key contribution of this paper is the evaluation of outcomes
from a wide ranging search of international literature in order
to improve the understanding of the relevant implications for
structural engineering practice. Combinations of research and
field observations have been included in this paper with the
intention of identifying: (i) the inconsistencies in the current
body of knowledge, and (ii) the implications for structural
engineering practise in New Zealand (and perhaps
internationally). Aside from the Canterbury earthquakes, the
motivation for presenting this paper arises from multiple
recent discussions with practising structural engineers across
New Zealand about this particular subject.
EXPERIMENTAL OBSERVATIONS VS. REALITY
Typical Structural Behaviour and Spread of Plasticity
Observed in Experimental Testing
Laboratory testing of RC components subjected to quasi-static
loading protocols has historically exhibited the formation of a
ductile plastic hinge zone (PHZ) adjacent to the fixed end
region. Countless tests have shown the formation of diagonal
flexure-shear crack patterns, examples of which are shown in
Figure 1(a) for a RC beam and in Figure 1(b) for a RC wall.
These fanned crack patterns progressively develop during
simulated seismic loading and lead to the gradual spread of
inelastic steel strains (i.e. the “spread of plasticity”) from the
critical section of maximum bending moment further into the
component. Differences in the tensile strain capacity of the

(a)

reinforcing steel and concrete mean that some bond slip must
occur to accommodate this strain incompatibility. In general,
this type of behaviour lengthens the PHZ, which is a
significant requirement of ductile RC structure components
that are designed to sustain multiple cycles of inelastic
deformation. The longitudinal reinforcement will yield over a
length equal to a combination of three segments due to:
(i) yield penetration into anchorage zones; (ii) the relative
increase in the maximum bending moment above the first
yield moment due to strain hardening, and; (iii) extension due
to tension shift due to diagonal flexure shear cracking 5.
The “effective plastic hinge length”, denoted Lp in Figure 1(c),
is the length over which plastic curvature is assumed to be
uniform for analytical purposes. Lp is strongly dependent on
the slope of the bending moment (magnitude of shear) at the
critical section, moment-shear M/V ratio, quantity of
transverse reinforcement, and magnitude of axial load. The
length of yielding, Ly, is referred to as the length of ductile
detailing in the New Zealand concrete structures standard 6
(referred to herein as NZS3101:2006), and is schematically
shown on Figure 1(c) to be considerably longer than Lp. The
extension of yielding along the member (the “spread of
plasticity”) also depends on the formation and spacing of
flexural cracks, which is dependent on member geometry,
tension force in the longitudinal reinforcement, and tensile
strength of the surrounding concrete. The size of the flexural
tension force is influenced by the quantity and the stress-strain
relationship of the longitudinal reinforcement, particularly the
maximum strain that can be sustained and the amount of strain
hardening. If secondary cracks cannot form between primary
cracks, very high reinforcement strains are induced and
limited ductility can be sustained before the reinforcement
fails 4.

(b)

(c)

Figure 1: Distributed flexure-shear cracks observed in experimental testing: (a) RC beams tested in 7; (b) a U-shaped RC
wall with boundary elements tested by Beyer et al. 8. (c) Expected deformations in the PHZ of monolithic RC walls with
distributed flexure-shear cracking.

The spread of plasticity in real RC structures under seismic
actions has long been expected to be consistent with
experimental observations from laboratories around the world
(e.g. Figure 1). Many of the assumptions for structural
behaviour used in practice are based on the outcomes of the
experimental studies described in the literature, such as
Priestley and Park’s (1984) extensive research on the seismic
performance of RC bridge columns 9. For the purpose of
preliminary design stages, or when using seismic assessment
methods such as 10, the value of Lp is one of several
simplifying assumptions made in lumped plasticity modelling
approaches. This allows for an estimation of the overall
structural ductility factor that reduces the force demands on a
particular structural system. However, the structural ductility
factor does not give a reliable indication of the deformation
sustained in a potential PHZ 5,11.
NZS3101:2006 6 considers the value of Lp for the purposes of
assessing section curvatures and determining the level of
detailing required for potential PHZs. For RC beams, columns
and walls, Lp is coupled with material strain limits (considered
by maximum allowable curvatures stated in Table 2.4 of
NZS3101:2006). Fenwick and Dhakal 5 used previous
experimental data on RC beams, columns and walls to
determine the allowable curvature values that corresponded to
initially assumed values for Lp. For reversing plastic hinges in
beams, columns or walls, Lp is taken as the smaller of half the
section depth 0.5h or 0.2 times the M/V ratio, but not less than
one quarter the section depth. In both research and practice
there has long been a consistent agreement that using Lp = 0.5h
is a reasonable approximation 12. In NZS3101:2006, any error
in the assumed values of Lp is removed when used with the
corresponding material strain limits.
Suggestions for calculating Lp by Priestley et al. 13 have been
widely adopted in both research and in practice. Equation 1 is
described as an “accurate” estimate compared to
Lp =
0.5h, albeit a less conservative estimate with respect to
ductility. Equations 1-3 were empirically derived from a
database of experimentally measured section and member
deformations such that curvature and displacement ductility
relationships could be re-arranged and solved for Lp.
𝐿𝑝 = 𝑘𝐿𝑐 + 𝐿𝑦𝑝

(1)

𝑓𝑢
𝑘 = 0.2 ( − 1) ≤ 0.08
𝑓𝑦

(2)

𝐿𝑦𝑝 = 0.022𝑑𝑏 𝑓𝑦

(3)

where:

where Lc is stated as the length from the critical section to the
point of inflexion, 𝑓𝑢 and 𝑓𝑦 are the ultimate tensile strength
and yield strength of the longitudinal reinforcement, 𝑑𝑏 is the
diameter of the longitudinal reinforcement, and 𝐿𝑦𝑝 is the
yield penetration length. The factor k considers the slope of
the bending moment at the critical section and hence the
extension of yielding along the member due to strain
hardening of the reinforcement, which appears reasonable.
In practice, the term Lc in Equation 1 is somewhat misleading
for cantilevered walls in multi-storey buildings for two
reasons. Firstly, simplified relationships between curvature
and displacement ductility are based on an example of a
cantilevered column with a point load applied at the top such
that the column height is directly equal to Lc and the
M/V ratio at the wall base (as shown in the central image of
Figure 1). Secondly, some previous tests of RC walls used a
concentrated load at the top of the scale-reduced specimens
(again the component height is equal to the M/V ratio) and Lp
was often expressed as a percentage of the specimen wall
height. However, the force distribution for structural walls in
real multi-storey buildings means the wall height is an

inappropriate parameter to relate to the effective plastic hinge
length. The moment diagram in Figure 1(c) labels the M/V
ratio as the appropriate length along the member that
influences the spread of plasticity. This difference is
recognised in 13 where Lp for cantilevered RC walls is
estimated by Equation 4. The length, Lc, from Equation 1 is
replaced by HE, an effective height that should represent the
M/V ratio for a structural wall.
𝐿𝑝 = 𝑘𝐻𝐸 + 0.1𝑙𝑤 + 𝐿𝑦𝑝

(4)

Equation 4 also includes an additional term of 10% of the
section depth, 0.1𝑙𝑤 , to account for greater tension shift
occurring in walls compared to that in beams. For cracked RC
components with combined flexure and axial loading, the
trajectory of the internal compressive stress resultant becomes
inclined towards the compression zone. As a result, there is a
shear force component that is resisted through the concrete
and therefore reduces the shear force Vs that is resisted by the
transverse reinforcement (stirrups in beams/columns or
horizontal reinforcement in walls). Considering the moment
equilibrium for a free body of a diagonally cracked RC
component, Vs provides some moment resistance. However, as
the axial loading increases and Vs reduces, the length of
tension shift will increase. This influence of axial loading
generally means the length of yielding will be longer in
columns and walls than in beams.
Priestley and Park 9 identified that some degree of bond
deterioration will increase the length of the reinforcement that
will yield as inelastic tensile strains penetrate some distance
into the anchorage zones of the longitudinal reinforcement
(e.g. beam-column joints and wall footings). As the anchorage
zones of RC components are not fully rigid, the relative slip
between the reinforcement and concrete (known as bond slip)
near the critical section will contribute to the total inelastic
deformation. The extent of yield penetration into, or through, a
joint will depend on many factors, of which the number and
amplitude of inelastic loading cycles will significantly
influence bond deterioration.
There are many factors that influence the effective plastic
hinge length that are not considered in Equations 1 to 4 which
have been expressed in this form for ease and simplicity in
design practice. Equation 3 suggests 𝐿𝑦𝑝 depends on the yield
strength and nominal diameter of the reinforcement. It was
previously suggested that the reinforcement may be expected
to yield over a length of 6 times the bar diameter, i.e. 6db 9.
More recently, Equation 3 suggests Lyp is equal to 6.6db for
Grade 300 reinforcement and 11db for Grade 500
reinforcement. The following section of this paper explains the
significance of the true yield penetration length when this
length of the reinforcement becomes the only available source
of plastic deformation for components without extensive
cracking and spread of plasticity along the member. Some
previous structural tests on beam specimens used additional
bars welded to the reinforcement passing through the
anchorage zones in order to limit the extent of yield
penetration 5, 7, 14. This technique has been employed to
reduce the deformations attributed to anchorage slip to give
conservative values of the plastic curvatures that are
measured.
The simplified form of Equation 3 suggests that 𝐿𝑦𝑝 will be
the same for identical reinforcement properties, irrespective of
the mechanical properties of the surrounding concrete.
Without presenting a detailed discussion of the mechanism of
bond in this paper, it is widely accepted that the strength of
concrete (particularly the tensile strength) significantly
influences the relationship between bond stress and bond slip
15. In recent decades there have been significant research
developments in understanding bond behaviour at inelastic
reinforcement strains 16-21. The literature suggests that the

extent of yield penetration may be greater for lower grades of
steel due to a greater reduction in bar diameter at large
inelastic strain demands (known as the Poisson effect). The
amount of relative bond slip near the crack plane will depend
on the yield stress of the reinforcement if the strain demand is
low. In contrast, if the strain demand is large then the local
bond slip will depend on the length of the yield plateau and
the strain hardening behaviour.
In both research and in practice, the understanding of the
structural behaviour of RC and published empirical
expressions such as Equations 1-4 have largely emerged from
research outcomes of laboratory-based experimental testing.
Typical “experimental conditions” that may influence the
structural behaviour include: (i) inelastic deformations
measured during the application of a gradually increasing
symmetric quasi-static loading protocol shown in Figure 4(a);
(ii) test specimens containing relatively young concrete with
compressive strengths ranging between 25-40 MPa, and; (iii)
the use of moderate to high proportions of longitudinal
reinforcement where there was no restriction of progressive
cracking along the member.
Observed Performance of Real RC Structures
Damage observations in the Christchurch CBD during the
2010-2011 Canterbury earthquake sequence demonstrated that
some conventional RC wall structures developed regions of
concentrated inelastic deformations that were markedly
different than the distributed PHZs observed in experimental
tests. When inelastic reinforcement strains are concentrated at
a small number of large cracks the available ductility of the
component is significantly reduced.

penetration might have been less than previous empirical
suggestions such as Equation 3. The major consequence of
this behaviour is the high strain concentrations and possible
brittle failure of the vertical reinforcement. An example of this
behaviour includes the 11 storey Gallery Apartments building
shown in Figure 2(a)-(c).
The vertical reinforcement in the critical wall of the Gallery
Apartments contained two layers of HD12’s (Grade 500,
12 mm bars) spaced at 420 mm. The rectangular section was
4300 mm in length and 325 mm thick. For the as-built details
the longitudinal reinforcement ratio was 0.16%, whilst the
minimum required by NZS3101:2006 6 for this section is
0.27%. Further discussion of the quantity of longitudinal
reinforcement is presented in a later section of this paper.
Initial assessments suggested the crack width during seismic
excitation would have been in the range of 35 mm 2. At first
visual inspection, the crack appeared to be relatively narrow
and the damage to the building was not an obvious concern.
However, in reality, the crack opened to a significant width as
the wall deflected during seismic excitation, but closed as the
wall re-centred itself under gravity load. Figure 2(b) shows the
Urban Search and Rescue team from New South Wales who
found several reinforcing bars had fractured along the length
of the wall, as shown in Figure 2(c). The building’s overall
damage state may be described as being at near collapse. A
potentially catastrophic failure might have been observed for a
slightly longer duration of severe ground shaking. This
example also highlights the care required in assessing a
damaged building of this type.

Figure 2(d) illustrates the deformations in lightly reinforced
walls developing a “single-crack-PHZ”. The formation of the
primary crack at the critical section reduces the tensile stress
in the concrete over a reasonable height up the wall. The
location where the next primary crack might form, denoted Lpc
on Figure 2(d), is theoretically between one and two times the
distance from the extreme tension fibre to the neutral axis at
the initial crack 22-23. At a distance of Lpc from the critical
section, the flexural tension force might be less than the tensile
strength of the surrounding concrete and the next potential
crack cannot form. As a result, significant strain hardening of
the reinforcement must occur at the critical section to increase
the flexural tension force along the member and increase the
possibility of developing the next potential primary crack.

The Pyne Gould Corporation (PGC) building is an example of
a lightly reinforced wall building that catastrophically
collapsed during the 22 February 2011 Christchurch
earthquake, in which 18 people lost their lives (CERC, 2012).
Due to the building being designed in the mid-1960s, it was
originally categorised as a non-ductile RC structure. The
postulated critical wall was 203 mm thick and contained a
single layer of 16 mm vertical reinforcement spaced at
380 mm. There was a large cover concrete thickness of nearly
6db and the vertical reinforcement had good bond conditions
which might have limited the extent of yield penetration that
occurred. Elongation of the vertical reinforcement was limited
to a short length and bar fracture is postulated to have
occurred in the sequence of collapse. Further discussion of the
building’s seismic performance and potential collapse scenario
is presented in the CERC report 3.

This concentration of reinforcement strains significantly
reduces the effective plastic hinge length that may be adopted
for analytical purposes. Some buildings in this category
exhibited much less available ductility than previously
anticipated. Due to the lack of cracking along the member, the
elongation of the reinforcing steel will depend on the
magnitude of the steel strain and the true extent of yield
penetration back into the surrounding concrete. RC walls with
a single-crack-PHZ require significant bond deterioration
adjacent to the crack in order to withstand the overall lateral
deflection demands of the building. However, in cases where
the vertical reinforcement had good bond conditions, and high
bond stresses could be sustained, the extent of yield

The authors are aware of other lightly reinforced wall
structures in Christchurch that formed concentrated regions of
inelastic deformation during the Canterbury earthquake
sequence 1, 3. Practicing structural engineers throughout New
Zealand will encounter existing buildings with RC walls
designed to earlier standards (NZS3101:1995, Error!
Reference source not found.) that have a similar
vulnerability. This does not mean to say, however, that similar
issues may not exist for other structural members such as RC
columns. Another reason for single-crack opening may have
been the common construction practice that used “cold-joints”
and insufficient development lengths for lapped splice regions
at the wall base.

(a)

(b)

(c)

db = 12 mm, fy = 500 MPa

(d)

Figure 2: Illustration of frequently observed PHZ behaviour in the Canterbury earthquakes: (a) The 11 storey Gallery
Apartments RC wall building; (b) Urban Search and rescue (USAR) team removing cover concrete; (c) fractured vertical
reinforcement [2]; and (d) schematic illustration of deformations in the case of a single-crack-PHZ for monolithic RC walls.
Some post-earthquake reports 24, 26 describe examples of
beams that formed apparent single-crack-PHZs as shown in
Figure 3. The CERC report 3 discusses beams containing
sufficient longitudinal reinforcement such that secondary
cracks were able to form; however crack widths were
generally very narrow (less than 0.05 mm) and were not
clearly visible. Bar yielding at secondary cracks can only
occur if there is significant strain hardening at the nearby
primary crack, meaning that appreciable strains must be
induced and primary cracks need to be sufficiently wide (up to
about 5 mm). This kind of behaviour is not overly concerning
as it is consistent with what has been observed in experimental
tests on beams at a displacement ductility in the range of 2-3.
Secondary cracks are somewhat easier to inspect during
laboratory testing and all cracks are clearly marked on the test
specimens during static loading.
In summary, damage states observed in post-earthquake field
reconnaissance of some RC walls were arguably not consistent
with the spread of plasticity observed in previous experimental
testing in the laboratory, thus highlighting the need to review
and calibrate the current laboratory-based understanding for
the behaviour of RC structures. Some of the typical seismic
experimentation procedures and known laboratory conditions
have potentially influenced the structural behaviour and longheld assumptions for RC that are used in research and in
practice. Clear differences between conventional laboratory
and field conditions include: (i) the type of dynamic loading
from the 22 February 2011 Christchurch earthquake was
significantly different to the typical quasi-static loading

protocols often used in laboratory testing, and; (ii) real
structures had significantly less cracking of the concrete, and
hence the ductility of the reinforcement was not well utilised
compared to laboratory test specimens. The following section
discusses the influence of loading history on the behaviour of
RC and the use of quasi-static testing. Later sections of this
paper discuss the significance of concrete tensile strength and
quantity of longitudinal reinforcement on the restricted
cracking and limited spread of plasticity in real structures.

Apparent “single-crack-PHZ” at column face

Figure 3: One example of localised damage observed in a
RC frame building [24].

INFLUENCE OF LOADING HISTORY
Underlying Issues with Seismic Experimentation
For many laboratories conducting seismic experimentation,
shake-table or other real-time dynamic testing is constrained
by resources and practicality (such as cost, available
equipment, required computer software, support of laboratory
technicians). To avoid these constraints, quasi-static cyclic
loading is the most widely implemented method for structural
tests 27. The results of quasi-static testing are assumed to
provide a conservative lower bound for member strength
capacity; however the same cannot be said for ductility and
energy dissipation. The technical disadvantages are that quasistatic testing cannot consider: (i) the influence of the loading
rate on governing failure mode and; (ii) variations in momentshear ratios and axial load that largely influence the
deformation and strength capacities. The deformation and
strength capacity depends on the cumulative damage due to
the path-dependent behaviour of RC 28. The authors noted
that more recent experimental tests on external RC beamcolumn joints have included axial load variations in quasistatic testing 29, (among others at the University of
Canterbury and University of Pavia in the past decade).
For components within a real structure, the amplitude,
frequency and number of loading cycles (i.e. seismic
demands) due to ground motion excitation depends on:





The influence of earthquake source rupture, seismic
wave propagation and local site response on the
features of ground motion intensity measures:
amplitude frequency content and duration.
The configuration and relative strength of the
component within the global system.
Dynamic system properties such as stiffness, natural
modes of vibration and inelastic response (ductility
and hysteretic energy dissipation).

For several decades researchers have been aware of the need
for generalized experimental loading protocols to reliably
evaluate and compare the performance characteristics of
structural components 30. More recently, the popular notion of
performance-based design has highlighted the importance of
performance indicators such as deformation capacity to be
used in design procedures and standards. Loading protocols
are recognised as a source of epistemic uncertainty associated
with evaluating performance indicators (or damage states) in
the development of component fragility functions used for
performance-based seismic assessment 31.
Quasi-Static Loading Protocols
Liddel et al. 14 found differences in the ductility capacity of
RC components when subjected to varying quasi-static
loading protocols used at different international research
institutions. Loading protocols need to be reflective of the
experimental objectives which may vary from determining
potential failure modes to assessing the drift sensitivity of nonstructural elements. FEMA-461 32 suggests quasi-static
loading protocols should be generalized such that the sequence
of displacement cycles are in order of increasing magnitude to
ensure that component performance is not unique for specific
ground motions and configurations, but for a range of
potential displacement histories. Figure 4(a) and (b) shows
typical loading protocols that have been widely used in
experimental quasi-static testing of RC components that
undergo strength and stiffness degradation in a gradual
manner. Under this type of gradually increasing loading, crack
propagation is more extensive which enables greater spread of
plasticity and therefore significant levels of deformation
capacity and hysteretic energy dissipation, while premature
failure modes such as bar buckling or bar fracture are

mitigated. It should be recognised that empirically-derived
expressions for the effective plastic hinge length and estimates
for the yield penetration length which are widely used in
practice are based on outcomes of quasi-static testing using
loading protocols such as that shown in Figure 4(a).
In contrast to typical quasi-static loading protocols, severe
near-source ground motions from damaging earthquakes, such
as the 1971 San Fernando (US), 1994 Northridge (US),
1995 Kobe (Japan) and 2011 Christchurch (NZ), can produce
initially large amplitude, high frequency, and partially
reversing loading histories without a number of initial small
amplitude or gradually increasing loading cycles. FEMA-461
(2007) ignores the influence of near-source ground motions on
the basis that these motions generate fewer response cycles
and therefore are not likely to control the number and relative
amplitudes of the loading excursions in a loading history.
Krawinkler 28 discussed various loading protocols used for
multi-institutional testing programmes and standards, such as
those shown in Figure 5(a) and (b) for steel and timber
structures, respectively, with attempt to assess the seismic
performance when subjected to near-source ground motions
with forward directivity. However, no specific loading
protocol for RC structures has been commonly discussed in
the literature.
Loading Rate
Despite the awareness that near-source events result in
dynamic large amplitude ground motions, there are few
consistent conclusions in the literature for the influence of
loading rate on the seismic performance of RC components.
Quasi-static loading potentially mitigates brittle failure modes
that are otherwise realistic for real RC structures subjected to
realistic seismic actions. Vos and Reindhardt 33 found that
deformed reinforcing bars have greater bond resistance when
subject to faster loading rates and this enhancement for bond
strength was more pronounced for lower quality concrete. As
the concrete matrix becomes more uniform in high quality
concrete, the relative micro-crack propagation is limited and
less concrete degradation occurs. Chung and Shah 34
investigated the effect of loading rate on small scale
anchorage-bond and beam-column joint specimens and
observed fracture of the reinforcement when subjected to
faster loading rates.
References 35 and 36 performed structural tests on RC
components with input shake-table motions representative of
“near-source” earthquakes (containing large asymmetric
pulses) and “far-field” earthquakes. Both studies tested RC
bridge columns containing relatively high quantities of
longitudinal reinforcement (between 2.0-3.6%). There was no
evidence of concentrated inelastic deformations that the
ductility capacity of components with moderate or high
reinforcement content is unlikely to be influenced by loading
rates, which is in agreement with 3; however further
investigations should be carried out for lightly reinforced
components.
In the interest of producing realistic experimental outcomes,
laboratory facilities within New Zealand could benefit from
upgrading so that shake-table testing can be performed at a
more appropriate geometric scale without being constrained
by the speed at which loading is applied. However, conducting
large scale experimental tests continues to be a relatively
expensive task. Another approach might consider a
combination of smaller experimental studies and detailed
analytical modelling. The dynamic material response of
reinforcing steel and concrete could be studied in experimental
tests to determine the inputs in analytical models for
predicting the behaviour of RC structures. Alternatively, the
influence of dynamic loading rates could be experimentally
investigated at international research institutions with superior

laboratory facilities 37. In a current study 38 there is some
early analytical evidence for the influence of loading rate on

(a) Priestley and Park 9

RC structural models (with ‘as-built’ details).

(b) Loading protocol stated in FEMA-461 32

Figure 4: Typical examples of loading protocols for quasi-static cyclic testing.

(a)

(b)

Figure 5: “Near-source” loading protocols for (a) structural steel components, and (b) timber components 28.
IN-PLACE CONCRETE STRENGTH
Materials Testing
Damage observations and materials testing from Christchurch
CBD buildings indicate that the strength of concrete
surrounding the reinforcement was notably higher than that
specified in design. The CERC report 3 describes the
unexpected performance of several RC structures to be largely
due to the reoccurring issue of higher-than-expected concrete
strength. This section discusses some evidence of higher than
expected concrete strength, the concrete tensile strength, some
apparent factors that might enhance the concrete strength, and
relevant considerations for future research.
From material testing of samples extracted from a number of
Christchurch CBD buildings it was found that the in-place
strength was significantly higher than expected 39. The
Gallery Apartments building (Figure 2) is an example where
the specified 28 day compressive strength, f’c,28-days, was
30 MPa, however, Holmes Solutions 39 reported that the
cylinder compressive strength of two cores extracted from the
critical walls were 46.5 MPa and 56.0 MPa, and nondestructive Schmidt hammer testing indicated a compressive
strength in the range of 54-70 MPa. Two split cylinder tests
measured the “indirect tensile strength” of 2.4 MPa and
3.4 MPa.

(often referred to as “tension stiffening”) will result in PHZs
having a much lower rotation capacity. The tensile strength is
also known to have a strong influence on bond behaviour [14].
At ULS the concrete tensile strength may be a critical factor
that restricts the available ductility of the reinforcement that is
utilized due to: (i) secondary cracks are unable to develop; and
(ii) limited bond deterioration near single-crack-PHZs. These
issues suggest the need to carefully consider what the probable
values of the tensile strength might be when a lightly
reinforced structure is being assessed.
Figure 6(a) gives an indication of the relationship between the
mean compressive strength and “direct tensile strength” 𝑓𝑐𝑡
by using the expressions shown in Equations 5 and 6. These
expressions are from the Model Code 2010 20 and a proposed
amendment to NZS3101:2006 6, respectively. Figure 6 also
shows upper and lower characteristic values which are taken
as 1.32 and 0.68 times 𝑓𝑐𝑡 in the Model Code 2010 (and
similarly in the commentary section of NZS3101:2006).
The scatter in the concrete tensile strength represents the
influence of several factors, including: the extent of cement
hydration; member geometry and differential shrinkage; the
proportion, size and angularity of course aggregate; and
segregation of constituent materials in casting. For higher
grades of concrete (𝑓𝑐′ exceeding say 60-70 MPa) the
relationship between direct tensile strength and compressive
strength will vary from that suggested in Equations 5 and 6.
2

Concrete Tensile Strength
In practice the tensile strength of concrete is typically given
greatest consideration at the serviceability limit state. Design
codes typically state lower characteristic values for the tensile
strength to provide some conservatism in calculating the
strength capacity and deflection-induced cracking under
serviceability loads. However, the earlier sections of this paper
highlighted that the performance of some structures at the
Ultimate Limit State (ULS) may be significantly influenced by
the concrete tensile strength. It is widely accepted that high
strength contributions from the concrete between the cracks

𝑓𝑐𝑡 = 0.3(𝑓 ′ 𝑐 )3
1

𝑓𝑐𝑡 = 0.55(𝑓 ′ 𝑐 )2

(5)
(6)

The aforementioned observations in some Christchurch
buildings indicate that an upper characteristic value should be
taken as the effective tensile strength for the purposes of
assessing whether secondary crack formation can occur.
Figure 6(b) qualitatively shows the relative differences
between the three measurements of concrete tensile strength,
in which it can be seen that:



The indirect tensile strength is determined from
splitting (or “Brazilian”) tests which are easily
performed on small cylinder specimens. There is
typically a large amount of scatter in the results from
performing a small number of splitting tests.



The direct tensile strength, or uniaxial tensile
strength, is seldom measured due to the difficulty in
test set up and loading concrete specimens in direct
uniaxial tension 40. In most design codes the direct
tensile strength is taken as 90% of the indirect
tensile strength.



The flexural tensile strength, or modulus of rupture
(MoR), may be determined relatively easily from
third-point loading of plain concrete prisms. These
tests are not carried out on samples from buildings
however as samples are typically extracted in the
form of cylinders (hence splitting tests are most
commonly used).

material and geometric non-linearity (Gopalaratnam and Shah,
1985). This difference is described in the commentary section
of NZS3101:2006 and recommended multipliers for this scale
effect (Table C5.1, NZS3101:2006) are approximately
identical to those determined using Equation 7 and 8 from the
Model Code 2010 (fib, 2012) based on fracture mechanics for
concrete structures.
𝛼𝑓 =

0.06ℎ0.7
1 + 0.06ℎ0.7

𝑓𝑐𝑡,𝑓𝑙 =

𝑓𝑐𝑡
𝛼𝑓

(7)
(8)

where h is the section depth and 𝑓𝑐𝑡 is the direct tensile
strength which is often estimated from Equation 5 or from
splitting tests.

The relative difference between flexural and direct tensile
strengths of plain concrete arises due to a combination of
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Figure 6: (a) Examples of some known correlations between the compressive and tensile strength of concrete; and (b) qualitative
representation of the relative flexural, indirect and direct tensile strengths of concrete
Assessments of secondary crack formation for the critical wall
in the Gallery Apartments building are presented in 41-43.
using analytical modelling techniques. Henry 41 estimated the
flexural tensile strength using Equation 8, where 𝑓𝑐𝑡 was taken
from Equation 5 based on the 𝑓𝑐′ values reported by 39. For
typical wall sections, the difference between direct and
flexural tensile strength values is minimal due to the relatively
large section depth. Input values for the mean and upper
characteristic flexural tensile strength of the concrete were
taken as 4.3 MPa and 5.6 MPa, respectively. These values
were determined using the Model Code 2010 expressions 20
and both were considered as permutations in the analysis. The
next section of this paper briefly discusses the limited crack
formation observed in the results from 41 and 42.
Identifying that the compressive strength was appreciably
higher than specified design values highlights the benefit in
obtaining results from materials testing. Other approaches to
assessing RC structures might depend on values of the
compressive strength determined by non-destructive material
testing. Variability in the results from all techniques for
concrete materials testing should be considered appropriately,
and potential reasons for the measured strength exceeding the
specified design values are discussed in the following section.

Sources of Apparent Strength Enhancement
For all concrete structures, the in-place strength will vary
between different components due to the influence of casting
direction and size effects. Construction methods used for
placement, compaction and vibration (and potential revibration) of concrete also have some influence on strength.
The direction of casting relative to the orientation of the
structural component will influence the concrete’s mechanical
properties due to water gain 44. Due to segregation of the mix
materials, concrete at the bottom of specimens is typically of
higher strength than concrete in the middle, with lower
strength concrete at the top. This notion suggests the concrete
strength would have been higher at the base of some cast insitu wall structures (cast in the vertical direction) where
limited cracking was observed. For the future design of lightly
reinforced components, 2 describes the need to consider
concrete strength enhancements due to the following factors:





Ready-mix suppliers targeting higher strength for
quality assurance of the delivered concrete product.
The ageing/maturing process resulting in a timestrength development.
Dynamic strength enhancements when subjected to
rapid loading rates (the implications of which were
alluded to in an earlier section of this paper).
Precast fabricators using high strength and high
early strength mixes to meet specification quickly to
ensure speed of production.

Some flowable self-compacting concrete (SCC) mixes can
result in high strengths that have not been anticipated by the
design engineer. SESOC 45 describes an example of a RC
′
panel with a specified 𝑓𝑐,28
𝑑𝑎𝑦𝑠 of 40 MPa, yet a selfcompacting mix had a 7 day strength of 90 MPa. In another
case example, a relatively modern RC building had precast
wall panels with a 28 day strength of approximately 90 MPa
such that the wall’s internal actions were higher than might
have been anticipated in design and subsequently contributed
to failure of the foundations 26.

The minimum reinforcement ratio stated in NZS3101:2006 6
for both walls and beams is given by:

Reference 46 contains information on recent quasi-static
cyclic testing of four interior beam-column joint specimens
containing high-strength SCC. At the time of testing, f’c
ranged between 100 and 120 MPa and the average indirect
tensile strength was 7.2 MPa. The ratio of the longitudinal
beam reinforcement was identical for all test specimens at
1.1%. Despite the high tensile strength of the concrete, the
quantity of reinforcement and hence the tension force in the
reinforcement was sufficient to progressively crack the
concrete. Observations from these tests highlight that there
were no restrictions on the formation of secondary cracking
and thus the desired “spreading-PHZs” were able to form
adjacent to the column faces. This finding also agrees with
recent analytical evidence presented in 38.

While Equation 9 appears to be identical for walls and beams,
there are a number of differences between each component
that reduces the safety margin between the nominal and
cracking moment capacity for wall sections 41. For example,
the expression for walls is the total quantity of vertical
reinforcement that is distributed through the section, while for
beams the expression represents only the quantity of
reinforcement that is in tension, which is typically lumped in
the flange regions.

“Laboratory” Concrete vs. “Real” In-place Concrete
Some design expressions that are influenced by concrete
strength (such as quantities of minimum reinforcement and
development lengths) are derived from experimental work.
While such expressions may account for some scatter by
carrying out an appropriate number of tests, there may be
some debate that the concrete used in the laboratory conditions
may not reliably represent of the concrete used in real
construction.
To reduce the time in undertaking experimental studies,
concrete samples of RC specimens are typically tested at the
milestone of 28 days after casting when the concrete is
relatively young. The tensile strength in younger test
specimens may be appreciably less than the strength of inplace concrete in an existing structure of some age. Some
experimental programmes might allow for 90 days of strength
development to reduce the variability between specimens that
are of slightly different maturity at the time of testing. A
search of the literature or further experimental research is
needed to investigate the rate at which concrete tensile
strength develops. Research institutions and the New Zealand
concrete industry should take careful consideration of the mix
that is used in specimen construction and the age of concrete
at the time of testing.
QUANTITY OF LONGITUDINAL REINFORCEMENT
To utilize the ductility of the reinforcement at ULS there
needs to be sufficient tension force in the longitudinal
reinforcement to progressively form cracks along the potential
PHZ. The aim of code limitations for the minimum
reinforcement quantity, 𝜌𝑚𝑖𝑛 , is to prevent the formation of a
single wide crack once the cracking moment of the section has
been exceeded. To ensure a factor of safety against this
undesired behaviour, the nominal moment capacity of a
section with minimum reinforcement should be approximately
1.5-2.0 times the cracking moment (Paulay and Priestley, 12).
Reference 41 further describes the background of the design
expressions for the minimum reinforcement in RC beams and
walls.

𝜌𝑛 ≥

√𝑓𝑐′
4𝑓𝑦

(9)

where f'c is the specified 28 day strength (MPa) and ρn is the
calculated total area of longitudinal reinforcement as a ratio of
the area of the concrete section dimensions using the width of
the web and the section depth, 𝑏𝑤 𝑑.

An important difference between RC test specimens and
components in real structures is that test specimens will
typically contain moderate and high quantities of
reinforcement. To minimize concrete volumes and specimen
weight, the geometry of test specimens is often reduced in
scale such that test specimens contain a higher proportion of
reinforcement compared to real structures. Reducing the
proportion of longitudinal reinforcement with specimen
geometry is uncommon. This is based on a misconception that
if there is good structural behaviour for high values of 𝜌𝑛 then
there should also be good behaviour at lower values. It should
be noted that modern experimental programmes are expected
to follow similar criteria where equal stresses and constant
density of the reinforcement are adopted.
RC Walls
SESOC 47 responded to the poor performance of lightly
reinforced walls in the 2010-2011 Canterbury earthquakes
with a proposed design recommendation for the minimum
quantity and distribution of reinforcement for walls that are
likely to yield. This interim design recommendation offered
some improved confidence that newly designed walls can
develop the desired flexure-shear crack patterns and achieve
ductile behaviour at ULS. Equation 10 shows that the
expression from 47 was increased from the NZS3101:2006 6
minimum quantity of vertical reinforcement to account for the
higher than expected concrete strength of up to 2.5 times the
28 day specified value:
𝜌𝑙 ≥

0.4√𝑓𝑐′
√2.5𝑓𝑐′
→→ 𝜌𝑙 ≥
4𝑓𝑦
𝑓𝑦

(10)

Analytical moment-curvature and force-displacement results
for the response of the critical wall in the Gallery Apartments
building are presented in 41, for two cases: (i) using the
asbuilt details with a reinforcement ratio of 0.160%; and
(ii) approximately equal to the NZS3101:2006 minimum
vertical reinforcement limits of 0.274%.
In the first case, the predicted wall damage was in agreement
with the bar fracture that was observed after the 22 February
2011 Christchurch earthquake (previously shown in Figure
2(c)). Figure 7(a) shows fracture of vertical reinforcement
occurring at a lateral drift of 0.75%.
The results for the second case were found to be strongly
dependent on larger magnitudes of axial loading to avoid
sudden losses in strength after cracking and to sustain greater
lateral deflections. Although the second case satisfied the
NZS3101:2006 minimum reinforcement limit, the effective
plastic hinge length was found to be approximately half of the
length that is typically assumed in practice 41. More detailed

finite element analysis of this case example is presented in
42,48. No analytical evidence was presented for
recommendation made by 47 in Equation 10.

(a)

(b)

To give some quantitative indication, a desktop study of the
structural drawings for 21 RC frame buildings in the
Christchurch CBD (within the post-1977 construction era) was
conducted by the authors. The average reinforcement ratio in
the ductile regions of beams within the lateral load resisting
“seismic frames” was approximately 0.85 and 0.70 percent for
top and bottom reinforcement, respectively. The study focused
on beam elevations in the lower third of the frame height,
though beams located in upper levels of high-rise buildings
typically contain a lower proportion of reinforcement.
Across New Zealand’s existing building stock there will be
some RC columns that have been designed to form ductile
PHZs. However insufficient vertical reinforcement or changes
in cross-sectional dimensions could mean that single-crackPHZs are more likely to form.

(c)

Figure 7: (a) Analytical predictions for the critical wall
section in the Gallery Apartments building for: (b) the asbuilt details, and; (c) the wall containing the NZS3101:2006
minimum vertical reinforcement content [41, 47].
Brief discussion of the distribution of vertical reinforcement in
RC walls is included here for the sake of completeness. The
majority of existing wall structures designed according to
NZS3101:2006 6 and earlier standards are typically comprised
of uniformly distributed vertical reinforcement throughout the
section. Following the Canterbury earthquakes, SESOC 47
recommended that modern wall sections should contain
greater quantities of reinforcement in the end regions
(commonly referred to as boundary elements). The quantity
and detailing of web reinforcement is also important for
several reasons: (i) to prevent crushing of the concrete in the
web; (ii) to prevent the web from forming a small number of
wide cracks that may result in potential shear sliding; and
(iii) to ensure that severe damage to the web region does not
result in excessively large compression stresses and potential
buckling of boundary elements 48.
The design provisions for RC walls have undergone some
revision in Amendment 3 of NZS3101:2006 6 to prevent some
of the undesired structural behaviour that has been described
in this paper. Changes to the Standard have specified that end
zones of walls must have a ratio of vertical reinforcement 𝜌𝑙,𝑒
that is greater than Equation 11, twice the value that was
previously considered as the minimum.
𝜌𝑙,𝑒 ≥

√𝑓𝑐′
2𝑓𝑦

been no suggestion of revising the minimum reinforcement for
beams, however further experimental investigations may
address this issue in more detail.

(11)

The minimum reinforcement in the web region of the wall
between recognised end zones must be greater than the ratio
stated in Equation 9 and should also be greater than 0.3 times
𝜌𝑙,𝑒 . This second limit has been imposed to prevent the issues
associated with shear strength and shear deformation as
described earlier.
The University of Auckland is continuing to investigate
experimentally and analytically the performance of lightly
reinforced walls 43.
RC Frames
Compared to walls, there are fewer structural and geometric
conditions influencing the margin of safety between the
nominal moment capacity of a typical beam section and the
cracking moment capacity. Despite some apparent cases of
“single-crack-PHZs” in RC beams (e.g. Figure 3) this was
partly due to misinterpretation of this type of damage
observation and is not overly concerning. Thus far, there has

CONSIDERATIONS FOR FUTURE RESEARCH AND
PRACTICE
The lack of correlation between the observations from
previous structural tests and observations from buildings in
Christchurch has highlighted some implications for the design
and assessment of conventional RC structures. The following
section briefly describes some other issues associated with the
structural behaviour that was described earlier.
Flexural Stiffness of RC Components
One implication related to the limited cracking in some wall
structures is that some assumptions for the effective stiffness
of RC structures may be inappropriate. Design standards such
as NZS3101 6 use multipliers of the gross-section properties
that are based on extensive flexural cracking (Table C6.6,
NZS3101:2006). Given that the extent of flexural cracking
observed in some Christchurch buildings was much less than
expected, the fundamental vibration period is likely to be less
than what the structure was designed for and consequently the
seismic forces may be higher than expected. Fenwick 4
recommends that practicing engineers compare the anticipated
stiffness and strength degradation that is associated with the
design actions from structural analysis.
Effective Plastic Hinge Length
Practicing engineers often make some lumped plasticity
assumptions in using non-linear modelling techniques to
predict the seismic response of a structure for the purposes of
detailed seismic and damage assessments or in the design
stages. Coupled with the assumed value for the effective
flexural stiffness, the assumed length for the effective plastic
hinge, Lp, is also important for structural analysis. Equations
1 and 4 presented some empirical expressions for Lp that
engineers might adopt as the length over which plastic
curvatures are assumed to be uniform. The seismic assessment
guidelines in NZSEE 10 state that half the effective section
depth may be used for Lp, or taken “more accurately” and less
conservatively by Equation 1 from 13. While these
expressions might be adopted to evaluate the ductility of an
existing structure, it is unclear whether the results from
analysis are compared against allowable material strains that
correspond to performance/damage states. In practice,
estimates of ductility derived from nonlinear pushover or
seismic response history analysis are commonly presented
using other engineering demand parameters such as plastic
hinge rotations and/or drift angles. The material strain limits
can easily be overlooked if a blind value of Lp is assigned
inappropriately and ductility may be over-estimated.

NZS3101:2006 6 assumes 𝐿𝑝 for the purposes of assessing
section curvatures and detailing requirements for potential
plastic hinge zones. The value of 𝐿𝑝 for RC beams, columns
and walls is coupled with material strain limits (maximum
allowable curvatures stated in Table 2.4 of NZS3101:2006).
For reversing plastic hinges in beams, columns or walls the
value of the effective plastic hinge length should be taken as
the smaller of half the section depth or 0.2 times the M/V ratio,
but not less than one quarter the section depth.
Since the Canterbury earthquakes there have been no
recommendations to change the value of 𝐿𝑝 that is used in
non-linear modelling techniques. In the interim, 𝐿𝑝 for lightly
reinforced components could be taken as a variable parameter
in the analysis input. Evaluations of the available ultimate
deformation capacity of a system may input 0.5h as an
upper-bound value for Lp. Considering the kind of damage
observations from some buildings in Christchurch, it may be
more appropriate to run some permutations in the analysis
with a lower-bound input value of Lp. The lower-bound will
predict less available ductility, which may be foreseeable for
the response of some RC components containing low
quantities of longitudinal reinforcement.
Estimating Ductility in Lightly Reinforced Components in
Practice: Example
There will be cases where structural engineers have carried out
post-earthquake seismic response predictions for damaged RC
structures that formed single-crack-PHZs, as illustrated in
Figure 2(d). In this case, the effective plastic hinge may be
restricted to the true length of yield penetration that can occur
either side of the primary crack. Based on recent field
observations, 𝐿𝑦𝑝 might be taken as 1 to 2db to provide a
representative lower bound.
An example found in 49 shows how the ductility of a very
lightly reinforced component was assessed based on a
relatively simple and robust methodology as an alternative
approach to that outlined in [12] for the yield penetration in
RC components. In this particular case, a single-crack-PHZ
was expected to form at the critical section of RC dam
spillway piers (constructed in the 1960s). The longitudinal
reinforcement comprised of 32 mm deformed reinforcing bars.
The cracking moment and first yielding moment for the
component was estimated to be 4600 kNm and 2100 kNm,
respectively, thus leading to concerns about the significance of
single-crack-PHZ behaviour on the fatigue behaviour of the
reinforcement.
By implementing some existing models found in the literature,
Davey and Blaikie 49 considers how the ductility of the
component was influenced by: (i) the estimated low-cycle
fatigue behaviour of the reinforcing bar; and (ii) the estimated
maximum crack width based on an estimated amount of bond
deterioration once the deformed bar has yielded. Several
assumptions were made in order to use these models from
existing literature. Based on some awareness of material
properties of reinforcing steel that was available in New
Zealand in the 1960s, a ratio 𝑓𝑢 /𝑓𝑦 of 1.50 was assumed.

Materials testing of concrete core samples suggested that 𝑓𝑐′
was 60 MPa. For this particular seismic assessment approach,
the maximum bond strength was assumed to be 2. 5√𝑓𝑐′ . A
cumulative damage indicator of bar strain was estimated using
a relationship with the displacement history of the top of the
modelled component from response history analysis.
The crack width due to plastic elongation of the reinforcement
to be on the order of 10 mm when the inelastic strain range
reached 5 percent 49. The length of bar yielding is predicted to
be the order of 200 mm, which corresponds to 𝐿𝑦𝑝 being about
3.0db. Overall, the outcomes of the modelling in 49 did

indicate that there was no fracture of the reinforcement as the
resultant cumulative damage parameter summed to 60 percent
of the fatigue life (as predicted based on that particular steel
fatigue model and based on a response history analysis using
only a single ground motion record).
In the model applied by Davie and Blaikie 49, the extent of
crack widening due to plastic elongation of the reinforcement
is heavily dependent on the ratio of 𝑓𝑢 /𝑓𝑦 (sometimes
denoted 𝑅𝑚 /𝑅𝑒 , as in NZS 4671:2001 50). Recent tension
tests on deformed bars have shown that relatively high values
of 𝑓𝑢 /𝑓𝑦 (of 1.43) are appropriate for Grade 300E reinforcing
steel 51. However, recent tests by the authors have found less
extensive strain hardening occurs for Grade 500E reinforcing
bars as 𝑓𝑢 /𝑓𝑦 was found to be 1.24. Furthermore, recent bond
pull-out tests 52 have shown the local bond stress may be on
the order of 3. 0√𝑓𝑐′ (mean value from 29 pull-out tests of
deformed reinforcing bars) and the upper characteristic 95th
percentile value was found to be 3. 4√𝑓𝑐′ . By considering these
probable strength values, as commonly done in practice and
according to the NZSEE (2006) guidelines 10, and using the
same model prediction equations as 49, the maximum crack
width is reduced by 35 percent and 𝐿𝑦𝑝 is not greater than
2.0db.
As shown earlier in this paper, Equation 3 from 13 ignores the
ratio of 𝑓𝑢 /𝑓𝑦 , and instead suggests that Lyp is approximately
equal to 6.6db for Grade 300 reinforcement, and 11db for
Grade 500 reinforcement (using 5th percentile values of 𝑓𝑦 ).
Overall, the resulting value of 𝐿𝑦𝑝 is a significant overestimate compared to the calculations in 49 which used an
alternative methodology with a more robust physical meaning.
In the calculations shown here by the authors of this paper,
Equation 3 vastly over-estimates 𝐿𝑦𝑝 when Grade 500E
reinforcing steel is used (as in the Gallery Apartments
building). In this type of scenario of forming single-crack
PHZs, accurate estimation of 𝐿𝑦𝑝 becomes vitally important
for predicting seismic performance at the ultimate limit state.
Dynamic Response of Interacting Structural Systems
Although the response of individual components has long
been studied in experimental testing in laboratories, the
interaction between components and their influence on global
system response may need further investigation. For instance,
there are effects of interactions between floor slabs and beam
elongation (NZS3101:2006 6) as axial restraint from floor
slabs will increases the strength of adjacent components such
as coupling beams in coupled wall systems and beams in
moment resisting frames 3, 4, 53-55. The axial restraint
provided by floor slabs may restrict the formation of diagonal
cracks in the web of regular walls. These are some of the
reasons that the spread of inelastic deformations in a system of
interacting components is likely to deviate from the
performance of an individual component. Relative differences
in stiffness and the early onset of unexpected yielding can
drastically influence the dynamic response and overall
performance of a structural system. An example of this
behaviour was the Clarendon Tower formerly at 78 Worcester
Street, Christchurch 4.
The authors understand there are proposed investigations on
the interaction of RC structural systems being undertaking in
New Zealand 37. Full scale shake-table or real-time dynamic
testing might offer further insight into the behaviour of
interacting components; however this type of experimental
work is somewhat constrained by the laboratory facilities
available in New Zealand.

Assessing the Residual Capacity of RC Structures
The issues described in this paper also have implications for
practitioners using seismic assessment methods (for damaged
and un-damaged evaluations) which are largely based on the
assumptions adopted in conventional design practice.
Structural engineers have recently been challenged on the
subject of evaluating the residual capacity of damaged RC
buildings; an issue that also applies to well-designed structures
that formed “spreading-PHZs” and performed with sufficient
ductility. Uncertainties in the remaining life of the structure
are partly due to: (i) the severity and number of strong ground
motions in the Canterbury earthquake sequence and
subsequent damage to the structure; and (ii) the uncertainty for
the effectiveness and cost of structural repair techniques.
Hundreds of RC buildings in Christchurch have subsequently
been demolished after the Canterbury earthquake sequence.
In both research and in practice, the seismic performance and
extent of structural damage is commonly expressed in terms of
the peak values of non-cumulative damage indices or “demand
metrics” (e.g. peak lateral drift) due to the simplistic nature of
obtaining values for these metrics with physical meaning [56].
Cumulative demand metrics (e.g. energy-based measures)
might provide more reliable information for making postearthquake decisions like seismic retrofit or demolition.
Although cumulative metrics are more complicated to
determine, they are more important for realistic seismic
loading histories where the sequence of loading does not
increase monotonically. The use of cumulative demand
metrics does however require some calibration of damage
model co-efficients (scale factors and exponents). In research
these model co-efficients can be determined by using
regression techniques based on experimental measurements. In
practice however, model co-efficients are not well known as
they cannot be determined with the same ease or reliability.
Cumulative demand parameters are less comparable between
different structural components with in-situ differences such
as experimental boundary conditions, specimen geometry,
reinforcing content, material properties and different loading
protocols. There are current research projects dedicated to the
subject of residual capacity of RC structures (38, among
others).

The latter sections of this paper described an example where
practicing structural engineers were challenged to estimate the
ductility of a lightly reinforced structural component. The
overall results from this example highlighted a major concern
that two approaches in the existing literature would give vastly
different results for the anticipated level of yield penetration in
a single-crack-PHZ.
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