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ABSTRACT: A number of State Highway (SH) structures located within 20 km of the 

epicentre of the 16 August, 2013 magnitude 6.6 Lake Grassmere Earthquake were 

subjected to very strong ground shaking as indicated by the peak ground acceleration of 

0.75g recorded in Seddon 9 km north of the epicentre.  The paper describes back analyses 

of two bridges on SH 1; one crossing the main South Island railway line in Seddon and 

the other crossing the Awatere River 1.5 km north of Seddon.  The near-by accelerograph 

records provided a rare opportunity to compare observed performance at shaking intensity 

levels close to the damage control limit state design levels for SH structures with 

predictions based on design type analyses.   

The 17 m long single-span Railway Overbridge in Seddon is of particular interest as it has 

7.2 m high Reinforced Earth abutment walls. These types of walls have not previously 

been subjected to the intensity of shaking experienced in the Lake Grassmere Earthquake.  

A gap of about 15 mm was observed between the tops of the walls and the abutment 

structure but the bridge and walls received no structural damage.  The Awatere River 

Bridge is a continuous prestressed U-Beam structure with 10 spans and a total length of 

274 m.  It sustained minor damage with the onset of plastic hinging observed in some of 

the twin circular column type piers. The performance of the two bridges and the Seddon 

Overbridge abutment walls was in reasonable agreement with predictions made using 

design analyses procedures. 

1 LAKE GRASSMERE EARTHQUAKE 

The Seddon Overbridge and the Awatere River Bridge were located approximately 8.5 and 10 km 

north of the epicentre of the 16 August 2013 magnitude 6.6 Lake Grassmere Earthquake respectively. 

The peak ground acceleration (PGA) recorded at Seddon (23 km south of Blenheim) was 0.75 g.  A 

PGA of 0.59 g was recorded at Ward 20 km south of Seddon.    

At both Seddon and Ward the recorded peak accelerations for the two orthogonal horizontal directions 

were similar indicating that there were no strong directional effects.  Although Seddon and Ward were 

close to the epicentre the vertical PGA’s of 0.26 g and 0.28 g respectively were not particularly high.   

The horizontal acceleration time histories recorded at Seddon are shown in Figure 1 (N00E 

component) and Figure 2 (N90W component). Acceleration response spectra (5% damping) computed 

from the time-history records are shown in Figure 3.  Design spectra from NZS1170.5 (and the Bridge 

Manual), (BM) for 500-yr and 2500-yr return periods are compared in Figure 3 with the spectra from 

the Seddon records. The Zone Factor used to calculate the design spectra was taken as the value of 0.4 

given in NZS 1170.5 for Seddon. The recorded accelerations and the spectra computed from them are 

influenced by the site soil conditions. The soil conditions at the Seddon recording station have not 

been documented but at the nearby Seddon Overbridge site loess and dense sand and gravels overlie 

mudstone at a depth of 2 to 3 m below ground surface. At the Awatere River Bridge site gravels 

overlie mudstone at a depth of approximately 5 m below the river bed.  The soil category at the 

recording site and both bridge sites would be Class C site in terms of NZS 1170.5. 

The longitudinal axes of both bridges are approximately north-south and therefore align with the N00E 

component of the Seddon records. 
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The portal frame piers of the Awatere River Bridge are moderately flexible in the transverse direction 

and from the push-over analysis described below the secant period of vibration at the estimated 

displacement response was approximately 1.0 seconds.  The longitudinal restraint from the abutments 

reduces the longitudinal period to approximately 0.5 seconds. The short single-span Seddon 

Overbridge is essentially locked-in (as defined in the BM) and would have short periods of vibration 

and high abutment damping with bridge response accelerations of about ground acceleration levels.   

The response spectra from the Seddon records indicate that the Awatere River bridge response 

accelerations would have been of the order of about 0.5 g in both the principal directions.  However, in 

the longitudinal direction in particular, the response is very sensitive to the period of vibration.  

Further study is required on the longitudinal response.  The spectra indicate that both bridges were 

subjected to an intensity of shaking of about the 500-yr return period level.  

 

 

 

 

 

 

Figure 1. Lake Grassmere earthquake time-history, N00E component recorded at Seddon. 

 

 

 

 

 

 

 

Figure 2. Lake Grassmere earthquake time-history, N90W component recorded at Seddon. 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3. 5% damped acceleration response spectra: Lake Grassmere EQ, Seddon records. 
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2 BRIDGE DESCRIPTIONS 

2.1 Seddon Railway Overbridge 

The Seddon Railway Overbridge, constructed in 1991, is located on the south side of the town of 

Seddon. It is a 17 m long single-span bridge with a superstructure constructed of ten 1.15 m wide 

precast pretensioned double hollow core beam units.  Reinforced concrete spread footing type 

abutments sit directly on reinforced earth (RE) abutment blocks.  Both abutments have a height of 

7.7 m measured from the top of the wall facing foundation levelling pad to the road surface on the 

centre-line of the bridge.  The reinforced earth wall facings are constructed of cruciform shaped 

precast reinforced concrete panels with nominal dimensions of 1.5 m x 1.5 m x 180 mm thick.  The 

maximum facing height is 6 m.  Ribbed galvanised steel strips of 60 x 5 mm section anchor the panels 

to the soil block.  Strip densities vary from four per 3 m of wall width at the base of the wall to 11 per 

3 m at the top of the wall.  Strip lengths vary from 7 m at the base of the walls to 10 m at the top. 

Details of the bridge and abutment walls are shown in Figure 4. A typical section through the main 

abutment walls is shown in Figure 5. 

 

 

 

 

 

 

 

 

 

 

Figure 4. Seddon Railway Overbridge, looking to SE.   Figure 5. Seddon O/B. Typical, section of abutment 

2.2 Awatere River Bridge 

Constructed in 2007, the Awatere River Bridge is 274 m in overall length with eight internal spans of 

27.4 m and two end spans of 27.2 m. The bridge has a continuous superstructure formed with precast 

prestressed concrete U-beams and 175 mm thick precast deck slab units with a 50 mm thick topping. 

Cast insitu diaphragms at the piers provide continuity between the superstructure U-beams.  

The nine piers are twin-column reinforced concrete portal frames with each 1.0 m diameter column 

founded on a 1.2 m diameter steel cased drilled pile. The portal beams are monolithic with the cast 

insitu diaphragms at the ends of the spans and the columns have a clear height of 5.5 m from the top of 

the piles to the underside of the portal beams. The abutments consist of three 0.9 m diameter bored 

piles capped with a reinforced concrete seating beam. At the abutments the superstructure U-beams 

are seated on elastomeric bearing pads which allow rotation and longitudinal movement. Transverse 

movement is restricted by concrete shear keys cast integral with the abutment seating beams. 

The columns are reinforced with Grade 500 D25 longitudinal bars and R20 transverse spirals. There 

are 24 longitudinal bars at the top of the columns and 16 at the bottom.  The spiral pitch is 150 mm in 

the plastic hinge zones at the top and bottom of the columns and 200 mm in the central section. 

Details of the bridge are shown in Figure 6 and 7. A typical transverse section at a pier is shown in 

Figure 8. 

3 BRIDGE DAMAGE 

There was no structural damage to the Seddon Overbridge and abutment walls.  A gap of about 15 mm  
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Figure 6. Awatere River Bridge. Looking to S   Figure 7. Awatere River Bridge. Pier B and Abutment A. 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 8. Awatere River Bridge. Typical section at a pier. 

developed between the top of the abutment wall facing and the vertical face of the toe of the abutment 

footing at the southern abutment.  On this abutment there was evidence of some minor rotation of the 

facing panels and permanent outward displacement especially on the western side. 

On the Awatere River Bridge there was significant spalling and cracking at the tops of Piers D, E (see 

Figure 9) and F, and minor spalling and cracking in Piers H, I and J.  Because of the river a detailed 

inspection was not undertaken on Piers B and C but there did not appear to be any spalling in the 

columns. Minor cracking and spalling was observed at the bottom of one of the columns at Pier D.  

The spalls and cracking at Piers D, E and F indicated mainly transverse response.  On Piers H, I and J 

(closest three piers to Abutment K) the cracking indicated stronger longitudinal response than 

transverse movement.   

Spalling occurred in the soffit of all three U-beams beneath the anchorage point of the linkage bars at 

Abutment A (north end). The anchorage point is at the edge of the access man-holes into the U-beams.  

There was no damage at this location at Abutment K.  The spalling indicated high loads in the linkage 

bars at the north end of the bridge. The lack of confinement of the concrete by vertical steel in the 

soffit may have been a contributing factor. 

The ends of the diaphragm beam between the U-beams at Abutment A were spalled by contact with 
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the abutment shear keys located inside the abutment end walls (see Figure 10).  Contact was expected 

at this location but the spalling might have been reduced if the rubber bearing pads in the gap at the 

contact point had not been dislodged.  There was no similar damage at Abutment K.  

The gabion walls on the abutment slopes had moved about 50 mm towards the river at both abutments 

resulting in gapping and cracking at the contact with the abutment seating beams.  These walls may 

have been dragged outward by longitudinal movements of the superstructure which would be 

transferred to the piled abutments by the linkage bars. However, movements of the walls could also 

result from the expected increase in earth pressures on the back-face of the gabions. 

 

 

 

 

 

 

 

 

 

Figure 9. Spalling damage at column top on Pier E .  Figure 10. Spalling damage at shear key Abutment A.

  

4 ANALYSIS 

4.1 Seddon Overbridge Analysis Methods 

The back analysis work focused on the longitudinal response of the bridge and the abutment walls.  
The response acceleration to initiate a sliding failure within the RE blocks (RB) at the abutments and 
the transfer of the bridge inertia forces into the backfill on top of the RBs were considered to be 
vulnerable areas that needed to be investigated. Probable (or expected) strengths were used for the soil 
and structural materials rather than strength reduced design values. 

The design method specified in the BM was used to predict the critical response acceleration to initiate 
sliding movement in the RBs.  This method is based on a limiting equilibrium (LE) analytical analysis 
developed by Bracegirdle (1980) and verified by model shaking table tests carried out at the 
University of Canterbury.  A bilinear failure surface is assumed to develop at the toe of the wall and to 
propagate up through the RB and the retained soil behind the RB.  An upper-bound failure criterion is 
applied to find the critical failure surface inclination angles and the acceleration at which sliding 
develops. The disturbing forces acting on the sliding block are the imposed forces from the bridge, RB 
soil weight and inertia force, and the Mononobe-Okabe (M-O) pressure on the back of the RB (Wood 
and Elms 1990).  These are resisted by soil friction and cohesion (usually taken as zero) on the failure 
surface and the tension forces in the reinforcing strips that cross the failure surface. 

The earthquake inertia forces from the bridge superstructure and abutment spread footings (including 
the seating beams) were assumed to be distributed equally to the RBs at either end of the bridge, and 
were applied uniformly across the RB’s with the line of action at the top of the abutment seating 
beams.   

The LE analyses were verified using the STARES software program (Balaam, 2006).  The analysis 
method used in STARES is based on the Bishop simplified procedure for unreinforced slopes and 
modified specifically for investigating the stability of Reinforced Earth structures.  A circular rupture 
surface is assumed and the limiting equilibrium of the sliding mass considered taking into account the 
stabilising influence of the tensions developed in the reinforcing strips. The method is similar in 
principle to the LE analysis method but the LE method assumes a bilinear failure surface rather than a 
circular surface. 
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Outward displacements on the RE block failure planes were calculated using the Seddon acceleration 
time-histories as inputs to a Newmark sliding block analysis (Newmark, 1960) carried out with a 
special purpose software program (DISPLMT, Houston et al, 1987).  

The passive stiffness and capacity of the 1.97 m mean height abutment backwall (upstand, footing 
depth and footing key depth) when loaded against the backfill was calculated using empirical 
equations developed by Kahalli-Tehrani et al (2010) for the backbone response of vertical walls with 
homogenous backfills.  This method does not account for the stiffening and increased resistance of the 
friction against the base of the footing or the softening effect of inertia loads in the backfill.   To assess 
the significance of the resistance from the combined wall and footing and backfill inertia forces a 
typical abutment section was analysed using the LimitState:GEO software.  LimitState:GEO carries 
out limit analyses using a discontinuity layout optimization technique (Smith and Cubrinovski, 2011). 

Under loads directed away from the abutment backfill (abutment pull loads) the inertia forces acting 
on the abutment are resisted by sliding friction on the base of the wall.  Forces transferred to the top of 
the RB are then transferred to the facing panels which resist these outward pressures by load transfer 
to the reinforcing strips anchoring the panels to the top of the RB (typically the top two layers of 
strips).   Calculation of the performance of the abutments under pull loads was carried out using hand 
calculations with the aid of a simple spreadsheet.  

4.2 Seddon Analysis Results 

The critical acceleration to initiate outward failure in the abutment RBs was estimated to be 0.41g by 
both the LE and STARES analyses.  Figure 11 shows the failure surface predicted by the LE analysis. 

The Newmark analysis gave a sliding displacement on the predicted failure plane of 5.6 and 7.8 mm 
for the Seddon N00E and N90W time-history components respectively.  The N00E component with a 
PGA of 0.62 g is directed along the axis of the bridge so the smaller of the two displacement values is 
the best estimate.  A displacement sliding response curve is shown in Figure 12 for the N00E 
component together with the acceleration time-history input and illustrates the sliding steps that occur 
at the points when the input acceleration exceeds the critical acceleration. 

 

     

 

Figure11. Seddon O/B. RB failure 

plane. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 
Figure 12.  Seddon O/B. Newmark sliding block analysis for Seddon N00E acceleration component. 
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The passive resistance of the abutment walls estimated by the backbone curve method was 
approximately 300 kN/m (for unit width of wall). The LimitState:GEO analysis gave a total resistance 
for the combined wall and footing of 340 kN/m. However, with a 0.62 g inertia force acting in the 
backfill and taken to be in phase with the abutment and superstructure inertia forces this reduced to 
approximately 150 kN/m. It is unlikely that all the inertia forces would be in phase for a significant 
time period so the average resistance would be greater than 250 kN/m. The combined abutment and 
superstructure inertia force at 0.62 g response acceleration was estimated to be 120 kN/m and the 
backbone curve gave a displacement of 10 mm at this load level. 

A factor of safety of 0.85 against outward sliding of the abutment footing (pull force from 
superstructure) was calculated for a response acceleration 0f 0.62 g.  Newmark sliding block theory 
indicated that any sliding movement would be less than 2 mm.  The RB facing panels and top strips 
were found to have adequate strength to transfer the abutment inertia forces into the RBs. 

4.3 Awatere River Bridge Analysis Method 

The pier section shown in Figure 8 was analysed for transverse earthquake by a static load push-over 

using a finite element model of the section.  Because of the 10-span length of the bridge a single pier 

model and tributary mass assumption gives a good approximation to the transverse response of the 

piers near the centre of the bridge. A dynamic weight of 4,100 kN was calculated for the tributary 

mass comprising of the total dead load of a single-span, the weight of a pier cap and diaphragm, and 

one third of the weight of two columns.  The cracked stiffness of the 1.0 m diameter columns was 

calculated using Figure 4.9 (a) in Priestley et al (1996). This gave an elastic stiffness ratio of 0.35.  

The steel cased 1.2 m diameter piles were assumed to be uncracked.  Soil surrounding the piles was 

modelled using Winkler springs spaced at 0.5 m down the length of the piles. Spring stiffness values 

were based on Lam and Martin (1986).  A subgrade modulus of 10 MN/m
3
 was selected to represent 

the secant stiffness for sand below the water table.   

Probable (expected) strength values were assumed for all the structural and soil materials. 

4.4 Awatere Analysis Results 

Results from the push-over analysis are summarised by the acceleration response versus displacement 

curve shown in Figure 13.  Each point on the curve represents the formation of a plastic hinge in the 

columns.  The order of hinge development was; top of “tension” column (reduced axial load from 

earthquake overturning), bottom of tension column, top of “compression” column (increased axial 

load from earthquake overturning) and finally the bottom of the compression column.  The first hinge 

develops at a response acceleration of 0.35 g with a corresponding displacement of 70 mm at the 

centre of gravity of the superstructure mass. All four plastic hinges form at a response acceleration of 

0.47 g corresponding to a superstructure displacement of 135 mm. 

Displacement response spectra computed from the Seddon records for 7.5% damping are shown in 

Figure 14. Damping of 7.5% was estimated using the BM formula for soil interaction of pile/columns. 

Superimposed on the displacement spectra plot is a bridge performance curve which has been derived 

 

 

 

 

 

 

 

 

 

Figure 13. Awatere River Bridge push-over curve.  Figure 14. Displacement response spectra, 7.5% damping. 
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from the push-over results by calculating effective periods from the secant stiffnesses at the hinge 

formation points.  Figure 14 indicates that for transverse response (N90W component) the bridge 

superstructure displacement would reach approximately 130 mm with at least three plastic hinges 

forming in the pier columns near the centre of the bridge.  At this displacement the ductility demand 

on the tension column hinges was approximately 2.  The columns are well confined in the plastic 

hinge zones and using displacement design procedures given in Priestley et al (2007) the design 

displacement capacity of the pier frame was estimated to be approximately 550 mm. 

5 CONCLUSIONS 

The strong motion instruments were located at Seddon Fire Station 200 m from the Seddon Railway 

Overbridge. Soils at the two sites are likely to be similar so the records are expected to be a good 

representation of the ground shaking at the bridge site. Predicted sliding displacement of up to 15 mm 

at the abutments were consistent with the field observations confirming that current design analysis 

procedures for the performance of short bridges with high RB abutments are satisfactory.  

The Awatere River Bridge is located 1500 m north of the Seddon Fire Station and is founded on 

mudstone at a depth of 5 m.  Overlying soil layers are probably thicker and less dense than at the Fire 

Station site. The Seddon records indicated that plastic hinges would develop in the piers with strain 

levels in the top plastic hinges sufficient to cause the spalling observed in the columns.  Because of 

variability in ground motions the validity of the design analysis predictions is less certain for this 

bridge but if the ground motions did not differ very greatly between the recording and bridge sites the 

simplified analysis for transverse response gave a good prediction of the observed performance. 
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