
 

Exploring the probability of collapse of RC frame 

structures designed to current New Zealand Standards 

 
2016 NZSEE 
Conference 

C.J. Belliss 

Rose Programme, UME School, IUSS Pavia, Pavia. 

M.J. Fox 

EUCENTRE, Pavia, Italy. 

T.J. Sullivan 

Department of Civil and Natural Resources Engineering, University of 
Canterbury, Christchurch. 

ABSTRACT: Modern PBEE now offers improved tools for the assessment of time-based 

quantities, such as the annual probability of exceeding a given drift limit state. These 

tools allow for predictions of structural response taking into consideration the full seismic 

hazard curve at a given site. The resulting predictions can provide useful information to 

assist in decision making for the design of new buildings and assessment and retrofit of 

existing buildings. This research highlights the variations in the expected annual rate of 

collapse of new RC frame buildings designed to meet current New Zealand Standards. A 

number of case study RC frame buildings, with variations in geometry and site location 

are designed in accordance with the current New Zealand Standards. These buildings are 

then analysed using a multi-stripes analysis to determine collapse fragilities, which in 

combination with site specific hazard models, are used to predict mean annual 

frequencies of collapse. The results indicate that there are significant variations in the 

expected annual rate of collapse of RC frame structures designed to current code 

requirements. This illustrates how the current New Zealand Standards for the seismic 

design of buildings do not produce a uniform risk of structural collapse. Due to 

conservatism this may not be of concern for new buildings. Rather, it indicates that the 

evaluation of building performance using annual probability of collapse would clearly 

provide a more consistent means of communicating risk to clients during the assessment 

and retrofit of existing structures than comparisons to a new building standards (%NBS).  

1 INTRODUCTION 

While modern codes now include clauses for serviceability limitations on performance (e.g. 

NZS1170.5 2004), and new emphasis is now being put on solutions to reduce earthquake induced 

losses (Pampanin 2012), the underlying aim of modern seismic design of structures ever since its 

origins in the early 20
th
 century can be presumed to remain as ensuring that the risk of loss-of-life due 

to collapse is sufficiently low. Despite this, the phenomenon of structural collapse, due to its high level 

of complexity, is poorly understood. It is typical for design codes to address collapse by means of 

designing to a lower, more predictable limit state, such as the ultimate limit state (ULS), and relying 

on assumed margins of capacity to a collapse limit state (e.g. NZS1170.5 2004). While this may lead 

to acceptable safety margins against collapse for newly designed buildings, the potential variation in 

the annual probability of collapse due to different building configurations and site hazards could have 

more important implications on the assessment of existing structures. Developments in the area of 

performance-based earthquake engineering (PBEE) mean that there is now a better understanding, and 

better tools available to investigate these probabilities. 

The concepts of PBEE have been developing for many years, from its more simple beginnings, of the 

consideration of structural performance at multiple intensity levels in the design phase, such as in 

Vision 2000 (SEAOC 1995), to the development of new methods to predict expected annual losses 

from seismic actions as described in FEMA P58 (2012). A key development in the application of 

PBEE has been the incorporation of the probabilistic manner in which different components of the 



 

assessment are considered (Cornell et al. 2002). Current design and assessment techniques for typical 

structures are based around deterministic assessments (e.g. NZS1170.5 2004, NZSEE 2006), whereby 

the capacity of a structure is designed or assessed against a particular seismic intensity with a 

particular return period. However, it is widely understood that both the seismic demands and structural 

capacity are not deterministic quantities. The incorporation of these uncertainties into the assessment 

of structures allows for the evaluation of time-based quantities, such as the mean annual frequency 

(MAF) of collapse.  

Since the early 2000s, research efforts have led to significant improvements in the ability to model 

collapse and hence predict its MAF. Included in this are developments in ground-motion selection by 

means of conditional spectra (Baker 2011), and calibrated hysteretic models to account for in-cycle 

and cyclic strength degradation of plastic hinges (Ibarra et al. 2005, Haselton & Deierlein 2008). 

Guidelines have now also been developed for the means of collapse modelling and collapse risk 

assessment using nonlinear response-history analysis (NLRHA) (FEMA 2009, NIST 2013). It can be 

argued, based on past observations, that structural performance in earthquakes is generally better than 

what is predicted by NLRHA and that collapse cannot be accurately predicted (Kam & Jury 2015). 

Despite this, consistent use of currently proposed methods could still allow for informative 

comparisons of performance to be made, with the aim of aiding in future decision making. With more 

research and development, these risk based methods could also provide the means of clarifying 

performance related ambiguities in post-earthquake scenarios. For example, Elwood et al. (2015) 

suggests that risk based assessments could provide clarification in definitions of pre and post-

earthquake building performance, such that repair strategies can be aligned with insurance policy 

clauses. 

This paper explores the variations in predicted MAF of collapse of RC moment-frame buildings 

designed to current New Zealand Standards. This is achieved through the design and time-based 

assessment of 6 RC moment frames, representing two different structural configurations at 4 locations 

in New Zealand. In particular, the aim is to highlight how variations in geometry, and location (and 

therefore seismic hazard) can each lead to significant differences in predicted MAF of collapse. 

Comments are then made on the implications this has for how risk can be conveyed to clients in the 

assessment of existing structures. 

2 CASE STUDY BUILDINGS 

A total of 6 RC frames were designed for the purpose of this collapse assessment study. The frames 

are designed using force-based methods as outlined in NZS1170.5 (2004), following procedures 

described in the Red Book (CCANZ 2008) and NZS3101 (2006). Analysis to determine design 

member loads was carried out using modal response spectrum analysis. There are two different 

structural configurations as illustrated in Figure 1, one being an 8 storey frame, the other a 4 storey 

frame with an extended first floor level height. All frames are designed as IL2 structures on type C 

soils with no near-fault effects, as per the definitions in NZS1170.5 (2004). The buildings are 

hypothetically located in Auckland (AKL), Wellington (WLG), Christchurch (CHC) and Dunedin 

(DUN). 



 

 

Figure 1 - Structural configuration of case study frames 

Table 1.  Summary of design parameters of case study frames 

Case Study 

Frame 

Hazard 

Factor, Z 

1
st
 Mode 

Period, T1* [s] 

Ductility 

μ 

Performance 

Factor, Sp 

ULS Drift Estimate 

θULS, [%] 

CHC 8st 0.3 2.18 3.00 0.7 1.79 

WLG 8st 0.39 2.18 3.00 0.7 2.34 

AKL/DUN 8st 0.13 3.00 1.63 0.86 1.35 

CHC 4st 0.3 1.33 3.00 0.7 1.75 

WLG 4st 0.39 1.33 3.00 0.7 2.28 

AKL/DUN 4st 0.13 1.72 2.52 0.75 1.21 

*Obtained via eigenvalue analysis of model with cracked section properties determined in line with recommendations of 

NZS3101 (2006). 

There are two key points that should be noted with the designs, firstly that the WLG frames have been 

designed for a Hastings hazard factor (Z=0.39). However, due to lack of available site hazard 

information (in the form of acceleration response spectra at multiple return periods) for Hastings, these 

frames have instead been assessed using the Wellington site hazard information, scaled down by 2.5% 

to account for the difference in design hazard factor, Z. Secondly, the AKL/DUN frames design 

ductility factors, and corresponding performance factors are selected such that they satisfy the 

minimum base shear requirement as per Cl. 5.2.1.1 of NZS1170.5 (2004). The choice of μ=3.0 for the 

remaining designs is so they could be considered structures with limited ductility as per NZS3101 

(2006). The pertinent features of the designs are summarised in Table 1, where there is already an 

indication of differences in expected performance. While all frames were designed to the ULS, the 

corresponding ULS drifts predicted via modal response spectrum analysis with amplification for 

ductility and P-delta actions as per Section 7, NZS1170.5 (2004), contain large variations between the 

frames. It should also be noted that for the purpose of this research, ‘collapse’ is defined as the 

collapse of the lateral force resisting system over one or more storeys. It is assumed that gravity only, 

and capacity protected parts of the structure have been designed to have sufficient strength and 

displacement capacity to not fail prematurely. 

3 ANALYSIS AND RESULTS 

3.1 Modelling 

The case study buildings have been modelled as 2D frames in Ruaumoko3D (Carr 2013), with lumped 

plasticity plastic hinges at the ends of all beams and columns. The plastic hinge models use a modified 

Takeda hysteresis with, ductility based degradation in each direction shown in Figure 2. As per 
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recommendations from Dwairi et al. (2007), beams are modelled with a Takeda ‘large’ relationship, 

α=0.0 and β=0.6, while columns are modelled with Takeda ‘small’ relationship, α=0.5 and β=0.0, in 

accordance with the required model input parameters in Ruaumoko3D (Carr 2013). The initial 

stiffness, Ki, post-yield hardening ratio, r, and yield moment, My, were obtained from a bilinear 

approximation to the moment curvature response from the section analysis program Cumbia (Montejo 

and Kowalsky 2007), using approximations for the expected material strengths, of fye=1.1fy and 

fce’=1.3fc’. The pre-capping plastic curvature capacity, cap,pl, and the post capping curvature capacity 
pc are derived from simplified expressions for the corresponding beam-column chord rotation 

capacities, θcap,pl and θpc by Haselton and Deierlein (2008), given in Equations 1 and 2.  

       '01.065.0
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where asl = bond slip coefficient, v = axial load ratio, ρsh=shear reinforcing ratio and fc’ = concrete 

compressive strength. 

 

 

Figure 2 - Plastic hinges ductility based hysteretic degradation model. 

The residual moment capacity of the members, Mr, were set at 1% of the yield moment. P-Δ effects 

are accounted for using a large-displacement regime in the analysis, and with the inclusion of a 

leaning column to support additional gravity loads not carried by the frame itself. 

3.2 Hazard Curves 

Seismic hazard curves, which are obtained from probabilistic seismic hazard analysis (PSHA), provide 

the relationship between a measure of seismic intensity (e.g. spectral acceleration) and its probability 

of exceedance at a given site. For the purpose of this study, site hazard data has been taken from the 

National Seismic Hazard Model: 2010 Update (Stirling et al. 2012) where uniform hazard spectra at 

multiple intensity levels on soil class C are provided for Auckland, Wellington, Dunedin and 

Christchurch. For each case study frame, a site specific hazard curve has been developed by taking the 

spectral acceleration data points corresponding to the first elastic mode of vibration of the structure at 

each return period. A curve is then fit to these data points using the hyperbolic in log-log space model 

proposed by Bradley et al. (2007). Figure 3 illustrates the site hazard data, with fitted curves for the 

spectral acceleration at 1.0 s, displaying the difference in both magnitude and curvature in the hazard 

curves at different sites within New Zealand. 

3.3 Ground Motion Selection 

Ground motions were selected from the NGA West 2 database (Ancheta et al. 2013) to fit the shape of 

the ULS design code spectra for soil type C in NZS1170.5 (2004) at each respective site. This method 

does not reflect the state-of-the-art, however was necessary due to not having access to detailed PSHA  

          

 

 

  

  

  

    



 

 

Figure 3 - Site hazard curves for AKL, WLG, CHC and DUN for 1.0 s spectral acceleration. 

 

 

Figure 4 - Spectral acceleration and displacement plots of selected ground motions for analysis of 

AKL/DUN 8 case study building. 

information, namely site hazard deaggregation. Useable records were limited to ground motions at 

shallow soil sites, and with an appropriate lowest useable frequency to include the expected effective 

period at onset of collapse. The effective period at the onset of collapse is defined as the effective first 

mode period calculated using the secant stiffness to the estimated pre-collapse displaced shape. An 

initial set of scaled ground-motions was selected by first identifying those which provided the best fit 

to the code spectra over the range of 0.2T1 to 2.5T1, where T1 is the first mode elastic period of the 

building. A limit of 2.5 was set on these initial scaling factors. A second selection was then undertaken 

to minimise the difference between the median spectra of the selected ground motions and the code 

spectra, as well as limiting the maximum number of ground motions from a single event to four. 

Figure 4 illustrates an example of the spectral accelerations and displacements of the resulting 

selection process for the AKL/DUN-8st building. 

3.4 Fragility Curves 

Collapse fragility functions for each building were developed using a multi-stripes nonlinear response 

history analysis technique. The numerical models of the case study frames are subjected to the selected 

ground motions at 10 increasing intensity levels. At each intensity level, the ratio of the number of 

records which lead to collapse of the numerical model is recorded. A lognormal fragility function is 

then fit to this data using maximum likelihood estimation, as outlined by Baker (2015). This function 
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takes the form of Equation 3 below, where the intensity measure, im, is the spectral acceleration at the 

first mode elastic period of the frame. Once fit, the conditional probability of collapse given an 

intensity measure, P(C|IM=im), can then be described as a function of the intensity measure, im, the 

median intensity that leads to collapse,    c and the standard deviation of the natural logarithm of the 

intensity measure, referred to as the dispersion, βSc.  
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Figure 5 illustrates the results of the multi-stripes analysis and the corresponding fit of the lognormal 

fragility curve to the data for the CHC 8st and WLG 8st buildings, with the results for the remaining 

case study buildings summarised in Table 2. It should be noted that as the median collapse intensity is 

a measure of spectral acceleration at first mode period, these values are not directly comparable 

between buildings, having different first mode periods. The first mode periods used, are those obtained 

from eigenvalue analysis of the numerical models of the frames, and not those used in the design. 

These periods differ due to the assumptions of the initial stiffness of the members. For design 

purposes, reductions on gross section stiffness based axial load and material properties based on 

NZS3101 (2006) were used, while in the analysis the initial section stiffness is the secant to first yield 

stiffness. 

 

Figure 5 - Fitting of lognormal fragility curves to multi-stripes NLRHA for CHC-8st and WLG-8st case 

study frames. 

Table 2. Summary of lognormal fragility function fitting parameters for case study frames 

Case Study Frame 
Median Collapse Intensity,     

̂  

  (  )     

Collapse Intensity Dispersion*, 

   
 

CHC 8st 0.482 0.191 

WLG 8st 0.630 0.226 

AKL/DUN 8st 0.245 0.222 

CHC 4st 0.473 0.327 

WLG 4st 0.783 0.238 

AKL/DUN 4st 0.194 0.356 

*This dispersion is only due to record-to-record variability 

The collapse intensity dispersions referred to in Table 2 are those arising only from aleatory 

uncertainty in record-to-record demands. The inclusion of dispersions due to aleatory uncertainty in 

capacity and other epistemic uncertainties would further increase the expected dispersions. For the 
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purpose of this work, only the aleatory uncertainties in record-to-record demands have been 

considered. 

3.5 Mean Annual Frequency of Collapse 

The expected MAF of collapse is calculated by taking the integral of the collapse fragility function, 

conditioned on intensity measure, with respect to the hazard function of the particular intensity 

measure. Analytically this is represented by the integral in Equation 4, where λc is the MAF of 

collapse and dλ(im) is the rate of events occurring within an infinitesimal intensity range dim. This 

integral can be evaluated numerically by the sum in Equation 5, where the scale of intensity measure is 

divided up into small increments Δim.  
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The results for the different frames are summarised in Table 3. It is immediately evident from the 

results that there is a large variation, up to almost 3 orders of magnitude, in the predicted MAF of 

collapse of the case study frames. This is occurring due to both changes in site hazard and with 

variations in  

Table 3. MAF of collapse results for case study frames at full and reduced intensity levels 

 MAF of Collapse,    [collapses/year]  

Frame Location Full collapse intensity 33% collapse intensity 

 8 Storey Frame 4 Storey Frame 8 Storey Frame 4 Storey Frame 

CHC                                          

WLG                                        

AKL                                            

DUN                                         

 

structural configuration, whereby the MAF of collapse is consistently higher for the 4 storey frames 

than the 8 storey frames. The numerical integration in Equation 5 was then repeated using fragility 

curves with median collapse intensities of 33% of those obtained from the multi-stripes analysis, and 

the same dispersions, with the results also provided in Table 3. These results show that in general, 

across all buildings, the reduction to 33% of the capacity leads to an increase in MAF of collapse of 

approximately two orders of magnitude, and that the variation in MAF of collapse due to changes in 

site and geometry is still up to two orders of magnitude. 

It should be noted that the current structural design loadings in New Zealand are not only based on the 

results of PSHA. The Z factors for the AKL/DUN buildings are based on a deterministic definition of 

a moderate earthquake (NZS1170.5 2004), and for the CHC buildings are inflated based on recent 

seismic activity. These result in conservatism of design with respect to site hazard, and is one of the 

contributing sources of variation in the MAF of collapse between the locations. 

4 CONCLUSIONS 

This paper has presented results of an investigation into the mean annual frequency of collapse of RC 

moment-frame structures designed to current New Zealand Standards. Through the design of six case 

study frames, and assessment using hazard information from four different sites was used to conduct a 

time-based assessment. The results indicate that there can be up to almost 3 magnitudes difference in 

mean annual frequency of collapse of these RC frame structures. While the numbers alone cannot be 

taken as the true annual collapse probabilities for each building, due to the non-inclusion of aleatory 

uncertainty in capacity, epistemic uncertainties, three dimensional effects and soil-structure 



 

interaction, they do fall within the range of the expected annual frequencies of collapse referred to in 

the commentary to NZS1170.5 (2004), from 10
-4

 to 10
-6

. Given this, it is not being suggested that the 

current New Zealand Standard for seismic design is lacking in its ability to keep risk of collapse 

sufficiently low. Rather, it is being highlighted that current design methods do not result in uniform 

risk solutions, when considering the entire range of seismic hazard at a site. Instead, they are inferring 

an expected or minimum level at which the structure should perform. The main cause of this 

difference is the variation in the seismic hazard at each site, represented by variations in the seismic 

hazard curve as illustrated in Figure 3. A secondary cause can be attributed to the structural 

configuration itself. The implications of this non-uniformity become more significant when looking at 

assessment of existing structures and tying it in with the concept of expressing building performance 

in terms of %NBS. Given that the risk of collapse should be of more concern for the assessment of 

existing buildings, the results emphasize the potential benefits of expressing this risk in terms of an 

annual probability of collapse, rather than as a loading based quantity such as %NBS. While obtaining 

such information has been shown to be beneficial, this still needs to be confronted with the onerous 

nature of performing time-based assessments. If engineers could be provided with simplified tools for 

estimating the annual probability of collapse, it would certainly facilitate in communicating risk to 

clients and making more transparent retrofit decisions. 
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